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ABSTRACT 
Fires can cause substantial damage to structures, both non-structural and structural, with economic losses of 
almost 1% GDP in developed countries. Whilst design codes allow engineers to design for the primary 
design driver, property protection is rarely, if ever, designed for. Quantification and design around property 
protection has been used for some time in the seismic community, particularly the PEER framework and 
fragility analyses. Fragility concepts have now started to be researched predominantly for steel-composite 
structures, however, there has been little to no research into the quantification of property protection for 
concrete structures, whether in design or in post-fire assessments of fire damaged structures. This paper 
presents selected results from the thermal environment around, and the thermal response of, a concrete 
column from a large scale structural fire test conducted in Tisova, Czech Republic, inside a four-storey 
concrete frame building, with concrete and composite deck floors. From the results of the fire test, 
assessments of the fire intensity are made and used to model the potential thermal profiles within the 
concrete column and the implications that high temperature might have on the post-fire response of the 
concrete column. These thermal profiles are then used to assess the reduction of the columns cross-
sectional area and are compared to a quantified damage scale for concrete columns exposed to fire. This 
analyses presented herein will also show that common methods of defining fire intensity through equivalent 
fire durations do not appropriately account for the complexities of the thermal and structural response of 
concrete columns exposed to a travelling fire. 
KEYWORDS: concrete column, travelling fire, large scale structural fire test, Tisova Fire Test, fragility 
assessment, damage assessment 
1 INTRODUCTION  
Fires can cause substantial damage to buildings, both non-structural and structural. Multiple fire-induced 
structural failures of buildings have been observed in recent decades (some of which are detailed in, e.g., 
[1]) and there is a substantial cumulative cost of fires as reflected in international fire statistics where the 
economic loss due to fire reaches approximately 1% of the Gross Domestic Product in developed countries 
[2]. Whilst current codes and design guidance (e.g. [3]) allow structural engineers to design for the 
principal performance driver in fire – namely life safety, comparatively little thought or guidance is 
typically given (with some notable exceptions) during the structural design phase of a building to the 
mitigation of direct and indirect losses, whether these be; economic, cultural, reputational, or 
environmental; that significant structural fires may cause. Furthermore, if the structural damage is known, 
there is relatively little information available in the literature on the repair and strengthening of fire-
damaged structures [4]. 
Holistic, quantified ‘loss’ estimation for structures under extreme or accidental loads is not a novel concept, 
however, and there has been a recent trend towards developing probabilistic frameworks for structural fire 
loss estimation (e.g. [5]). This is typically undertaken in line with the Pacific Earthquake Engineering 
Research (PEER) framework that exists for seismic loss analysis (e.g. [6]). The seismic community have, 
for many years, applied concepts of ‘fragility’ where the probability of a structural system reaching a given 
damage state is assessed as a function of some measure of intensity (e.g. peak ground acceleration used in 
earthquake engineering). From this assessment, designers and insurers can calculate the expected costs of 
repair or replacement of the building. Therefore, a fragility analysis allows designers to rationally and 
quantifiably account for the risks and costs associated with the range of possible earthquakes, and 
explicitly accounts for property protection as a desirable design goal.  
When these explicit property protection goals are accounted for by the engineer in the design phase of a 
structure, the actual performance of the structure when the hazard occurs is vitally important to understand. 
For example, in 2011 an earthquake hit Christchurch, NZ, a city which was for the most part explicitly 
designed for seismic activity. However, the earthquake was of greater intensity than designed for and this 
caused a great deal of damage to the city, resulting in significant cost to repair or replace the damaged 
building stock and infrastructure. The high level of damage and the cost of reinstatement was shocking to 
the public and insurers alike, however from an engineering perspective the vast majority of buildings 
performed “very well” on the basis of the explicit design objectives used by the engineer to design them 
[7]. This public outcry also suggests that society is largely unaware of the true “performance” objectives 
that are used by structural engineers in design, whether for earthquake or fire engineering; it may be that a 
higher ‘level’ of property protection is actually expected by society.  
Property protection is becoming more popular with building owners and insurers alike, and is now 
becoming frequently considered as a design driver.  The level of property protection (i.e. damage level, 
reinstatement costs, business continuity, etc…) of structures designed for fire is generally unknown as there 
is no acceptable means of quantifying property protection goals (or of rationally accounting for these goals 
in design). Property protection is rarely explicitly considered in fire engineering design due to a lack of 
credible data from which to assess/model full structures in fire - this is particularly true for concrete 
structures [8].   
Current fire engineering design methods (e.g. [9]), in general, assess structures and their response to fire on 
a pass/fail assessment usually consisting of prescribed fire resistance criteria and times, based almost 
entirely on life safety as the sole design driver. The assessment of structures to fire is usually based on a 
standard fire (e.g. ISO-834 [10]) that represents only one fire out of a range of possible fires which may 
occur, and may not represent the most onerous (or more realistic) fire insult that a structure might 
experience [11]. 
This pass / fail assessment may also be referred to as demand / capacity based design, although when 
analytical or numerical tools are used in structural fire engineering it is often referred to as performance 
based design. This is not necessarily consistent with, e.g. earthquake engineering, as discussed above, 
where the consequences of an event outside of failure of a structural element are considered. The difference 
between demand / capacity and performance based design in earthquake engineering is shown in Figure 1 
(modified from [12]). Both approaches are based on an iterative approach. In demand / capacity design the 
iteration is based simply on a comparison of the load on the structure and the capacity of the element. If the 
structural elements capacity exceeds the demand placed upon it then it is deemed to satisfy the design 
criteria, if not then an iteration loop is performed to evaluate an element with a higher capacity. In 
performance based design there are two concepts added to this iteration process, consideration of the 
consequences of the capacity not meeting the demand (for example in financial terms or in terms of ‘down-
time’ of the structure), and the possibility to address both the response and the consequences in a non-
deterministic way. Put simply this means that although an element of structure might fail as a result of 
loads placed on it, bearing in mind the infrequency of the event, and so long as the actual consequences are 
acceptable if they happen at this frequency, then the overall design may still be acceptable.   
 
Figure 1: Demand capacity versus performance based design 
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Standard fire testing, from which the deign guidance is generally based, is, in general, limited to single 
elements rather than full structures and cannot capture the full complexities of the structural interactions of 
a building subject to a real fire. Real fires are more akin to earthquakes from a risk perspective, no two are 
the same, and a single fire in any given building will affect different elements within the structure 
differently. Modelling of concrete elements and structures to non-standard fires has shown that long 
durations of some travelling fires [13] or parametric fires [14] can have significant effects on the fire and 
post-fire damage and response of concrete structures. However the validity of these models remains in 
question due to the lack of experimental data, with very few tests conducted in large compartments with 
travelling fires (e.g. [15]). 
To move towards a state where we can assess the fragility of a structure, whether as a driver for design or 
as a method to assess the damage caused by a fire, data is required. A building’s fragility can be assessed 
empirically from: post-event data (if the intensity of the hazard is quantifiable) or large scale testing (e.g. 
[16]); analytically, based on simulating the building’s performance (e.g. [17]); expert judgment (e.g. [18]), 
or some combination of these methods. 
In many instances the ability to quantify the fire hazard when examining a structure is very difficult, and 
whilst there has been some large scale full frame response testing of structures exposed to fire, these tests 
have predominantly concentrated on steel-framed, steel-concrete composite buildings, and only limited 
research has been performed to quantify the fire fragility of cast-in-place reinforced concrete (RC) 
structures [19]. In fact, there has only ever been, to the authors knowledge, one large scale multi-storey 
concrete framed fire test reported in the literature, the Cardington in-situ concrete test [20]. Another notable 
full scale fire test inside of a concrete building was the Dalmarnock test, performed by the University of 
Edinburgh, while the focus of these tests was on the fire dynamics some data was collected about the 
structural response, in particular deflections, strains and through depth temperatures [21]. This paucity of 
fire testing of concrete framed buildings may be due to the relative simplicity of structural steel materials as 
compared with concrete, the clear economic advantages of taking a rational approach to structural fire 
engineering for these types of structures, and the well characterized real life fires that have occurred and 
large scale experimental programs that have been undertaken in composite steel frame structures (e.g. [22]). 
This has enabled validation of complex modelling of such structures under multiple credible thermal 
loading scenarios, and has provided a reasonable amount of data, both analytical and empirical, that can be 
used in the fire fragility assessment for steel-framed buildings.  
Such a rich set of empirical data is not available for reinforced concrete structures exposed to fire, and this 
prevents detailed and confident validation of models for the full-frame response of RC structures in real 
fires. Therefore, in this paper, large scale fire testing, analytical modelling, and expert judgment are all used 
to start to assess the fragility of a concrete column exposed to a fire. This paper presents results from the 
Tisova Fire Test, a large scale travelling fire test generating experimental data on the thermal and structural 
response of composite slabs, concrete slabs, and concrete columns. This paper will examine the fire 
intensity and how it might be quantified; how these quantifications can then be used to model the structural 
response of the concrete column; and lastly how the modelled response and the quantification of the fire 
intensity can be used to assess the damage state of the column. 
2 FRAGILITY ANALYSES 
Fragility analysis thinking has started to appear in the structural fire engineering literature, for example 
Lange et al. [5] adopted the PEER framework approach in order to analytically assess the annual fire cost 
of a steel-composite building. In their study, the fire intensity is measured in terms of peak compartment 
temperature, which has been determined by the use of the Eurocode parametric fire [10], and the response 
in terms of the deflection of the slab. Repair costs, times and casualties have been associated with 
thresholds of the deflection mainly based on assumptions. Fragility concepts have predominantly been 
applied to steel structures (e.g. [23]), however, they have specific relevance for concrete structures since 
concrete structures have the potential to be repaired following a fire due to low penetration of heat and low 
residual thermal deformations. 
Equation 1 represents the probabilistic risk assessment PEER framework for a building affected by a hazard 
for a given period of time; for example, fires/year. The risk is defined as consequence × hazard, where the 
consequence is estimated by three stochastic relationships; intensity measure (IM) to response measure 
(RM); RM to damage measure (DM); and DM to loss or some other decision variable (DV). In other words, 
given the likelihood of an event occurring in a building, the IM forces the building to have a response, RM, 
which leads to a measure of damage, DM, and subsequent level of loss, DV. The fundamental aim of the 
reasoning represented by Eq. 1 is to provide quantified annual expected loss metrics for a given structure 
based on the magnitude and risk of a hazard occurring. A fragility analysis is a component of the risk 
assessment, and consists of two analyses: (1) structural and (2) damage analysis, thus linking the 
probability of different damage (DM) occurring for a given fire intensity (IM).   
  (1) 
These two interrelationships (IM to RM, and RM to DM), when coupled, construct a set of fragility curves 
that correspond to discrete damage states included in a damage scale (see Figure 2). A fragility curve is a 
continuous fire intensity-to-damage relationship that expresses the probability that a building will suffer 
damage corresponding to a specific damage state for a given fire intensity measure. Symbolic fragility 
curves for a hypothetical 4-state damage scale are illustrated in Figure 2. 
 
Figure 2: Fragility curve for a hypothetical 4-state damage scale ranging from no damage to structural 
collapse. 
The advantage of Eq. 1 is that it implicitly assumes that that each of the four analyses can be conducted 
independently, and that the final products of the conditional distributions presented in Eq. 1 can be coupled 
to estimate the risk to the building over a specified period of time.  
The determination of suitable intensity measures is not straightforward since IMs also depend on the effect 
that a hazard has on the structure and the RM being assessed (i.e. an IM should be chosen which correlates 
as well as possible with the RM). Ideally a large database of experimental and real fire structural response 
data would inform decisions on which IMs and RMs are most suitable for use in designing concrete 
buildings; however, there is a paucity of data, and thus computational analysis and expert opinion must be 
relied upon (i.e. [24]). Once the IMs and RMs have been decided, DMs can be determined (as has 
previously been attempted in [4]), along with the costs associated with the DMs, through expert opinion. 
The risk assessment framework of Eq. 1 estimates the risk to buildings affected by all possible fires likely 
to occur in a given interval and allows designers to design specifically for property protection.  
2.1 Fragility curves and damage state scale for reinforced concrete  
Essential in the development and application of fragility curves is a quantified damage scale.  In June 2014 
Ioannou et al. [18] performed an expert elicitation exercise with 13 academic and industrial experts in the 
design and assessment of reinforced concrete structures to fire. During the exercise the experts helped 
quantify the  Concrete Society’s damage scale [4], shown in Table 1, and create fragility curves for 
concrete slabs and columns. Fragility curves were created, through weighted individual experts’ opinions 
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following the Cooke’s mathematical method [25] to elicit expert judgements, for four response measures, 
namely spalling, residual capacity, deflection, and peak rebar temperature.  
These four response measures are defined as: 
• Spalling - the percentage (%) of the exposed surface area of a given element which has spalled due 
to heating, such that it could be classed in a given damage state; 
• Deflection - the level of deflection, D, measured after cooling, which would be associated with a 
given damage state, and stated as: 
 𝐷 = 𝐿/𝑋                                                                  (2) 
where L is the length (span) of the element; X is a parameter which determines the deflection in 
the mid-span on a slab or the end point of a column (i.e. drift); 
• Residual Capacity - the percentage of the residual capacity of the examined element that can be 
associated with a given damage state, dsi, assuming the element sustains no other structural 
damage, i.e., spalling or deformation. Note that the residual capacity was judged as the ratio of 
total remaining capacity (NRes) to original capacity (NAmb) regarding the axial load capacity for 
columns and flexural capacity for slabs (i.e. shear capacity is ignored); and    
• Peak Rebar Temperatures - the rebar temperature (in oC) associated with dsi, again in the absence 
of spalling. 
The four response measures were chosen due to their range of applications in either design or in post-fire 
assessment. For example, in design, there are very few models to predict spalling of concrete, and 
deflections of slabs and columns are difficult to predict with accuracy and can be computationally heavy, 
and are subject to greater modelling uncertainties. Conversely, the peak rebar temperature can be 
determined relatively simply through heat transfer analysis, and the residual capacity of the column, whilst 
being a modelling step more, can be determined by applying the calculated temperatures to strength 
reduction relationships that are well characterised. When post-fire assessments are required, visual and 
measurable levels of spalling and deflection reduce the uncertainty about these responses, whereas 
destructive testing of the exposed concrete would be required to ascertain accurately the residual capacity 
of the element or the peak temperature that the rebar experienced. 
Table 1: An example of a visual damage state classification table for reinforced concrete elements 
(modified from [4]) 
DS 
Surface Appearance of Concrete 
Description Condition 
of finish Colour
1 Crazing 
ds0 Unaffected or beyond extent of fire 
ds1 
Some 
Peeling Normal Slight 
Damage primarily cosmetic in nature, which does not impact on the 
design or repair of the structural fabric of RC buildings.  
ds2 
Substantial 
Loss Pink/ Red Moderate 
A small amount of damage has been experienced by the element to the 
effect that some small scale remedial action is required to enhance the 
element’s remaining ability to perform its structural functions.  
ds3 Total Loss 
Pink/Red 
Extensive 
The element has experienced a significant, but not catastrophic, amount of 
damage to the effect that, with significant remedial action, it can be 
reinstated to perform its structural functions.  
Whitish 
grey 
ds4 Destroyed 
Whitish 
grey 
Surface 
Lost 
The damage cause by the fire is so extensive that it is no longer viable to 
repair and reuse the element and replacing the element with a new 
element is the only option. The building has not suffered a 
disproportionate collapse. 
1 Table 1 notes the colour of the concrete at different damage states. Not all concrete will change colour in 
this manner as colour change is due to the concrete’s constituent materials. 
The expert elicitation exercise performed by Ioannou et al. [18]  followed the method created by Cooke 
[25]. Experts were initially asked to answer ‘seed’ questions, where the answers were realisable values (i.e. 
can be found in literature) but were not necessarily known precisely by the experts. The experts were asked 
to judge these seed values within credible confidence bounds (i.e. 5%ile, mean, and 95%ile). From the seed 
questions (answered individually and without reference to other experts) the relative ability of each expert 
to quantify these uncertain values, accurately and informatively, allows a calibration (weighting) of each 
experts’ ability to make judgments. 
After the seed questions were answered the experts were asked the experts to judge the relationship of the 
response to fire intensity (i.e. RM given IM) for three distribution-defining quantiles (5%ile, mean, 95%ile) 
so that uncertainties around the response given a generic measure of the intensity can be quantified.  
In this elicitation the intensity used was the equivalent time of the standard ISO-834 fire, chosen due to its 
familiarity within both academia and consultancy (as shown in Figure 3). The time equivalency is based on 
Ingberg’s principle [26] that equates the area under the time-temperature curve above 150oC of the standard 
fire curve (Area A) with the actual fire curve (Area B) 
 
Figure 3: Schematic showing Ingberg’s [26] equivalent temperature-time fire curve concept. 
Similarly, the experts we asked to judge the relationship of the response given that the element was in a 
specified damage state (i.e. RM given DM), again for three distribution-defining quantiles (5%ile, mean, 
95%ile).  The results of the full expert elicitation can be found in Ioannou et al. [18]. From the RM given 
DM relationship judgments found in the expert elicitation exercise a quantified damage scale for slabs and 
columns was created as shown in Table 2, which shows the weighted experts mean judgment of the 
response for that damage state, as well as the upper and lower percentiles to bound the uncertainty. For 
instance, if a slab had 66% of its residual capacity left, then the experts would expect it to be in damage 
state 3, however if the slab had as little as 41% or as much as 87% residual capacity, it could still be in 
damage state 3 but this is judged to be unlikely. Similarly, if the column rebar temperature achieved 190oC, 
the experts would expect it to be in damage state 2, however there would be an unlikely, but possible, 
situation where the column could be in damage state 3 (5%ile ds3 temperature is 170oC). 
Table 2: Quantified damage states for reinforced concrete slabs and columns 
C 
El
em
en
t Spalling (% surface 
area) 
Dimensionless parameter X 
(X=L/D eq. (2))  
Residual Capacity 
(% - NRes/NAmb) 
Peak Rebar Temperature 
(oC) 
5% 95% mean 5% 95% mean 5% 95% mean 5% 95% mean 
ds0 -                         
ds1 
Slab 0.38 13.06 4.75 722.13 24068.88 7357.69 90.16 99.92 97 15.28 157.91 63.2 
Col. 0.24 13.11 4.48 134.05 25956.29 6716.82 91.54 99.91 97 15.93 147.68 60.99 
ds2 
Slab 3.42 30.91 14.62 121.74 9109.59 2489.4 75.26 96.62 88 77.82 391.55 196.93 
Col. 2.83 32.62 14.68 84.95 934.54 367.5 82.67 97.26 91 77.17 348.3 182.08 
ds3 
Slab 13.64 63.55 36.87 31.15 1650.29 469.61 40.71 87.55 66 190.21 730.63 405.32 
Col. 12.02 61.82 34.88 63.07 222.46 127.47 35.08 95.33 70 169.87 615.82 349.2 
ds4 
Slab 36.38 92.79 68.07 7.07 221.93 68.57 4.87 73.77 35 434.97 1037.84 695.77 
Col. 31.27 91.9 64.78 13.6 97.46 43.55 4.12 83.42 39 335.76 986.07 607.09 
 
Having determined the shapes of the fire intensity-to-response and response-to-damage relationships, the 
fragility curves were constructed by numerically coupling these two relationships, using a method proposed 
by Porter and Kiremidjian [27] which employs Monte Carlo analysis. A full description of the Monte Carlo 
analysis used to create the fragility curves is presented in Ioannou et al. [18]. Essentially, for a given 
intensity measure a random level of cumulative distribution (between 0,1) is chosen. This corresponds to a 
certain level of structural response estimated from the intensity to response (IM to RM) relationships. This 
level of structural response could potentially lead to one of five damage states, and the probability that each 
damage state is reached or exceeded is estimated from the response to damage relationships (RM to DM). 
Then another random cumulative distribution (between 0,1) value is generated and this value corresponds 
the structural response value to a specific damage state. This process was then done 10,000 times to create 
the fragility curves relating the IM to DM. 
The fragility curves created, linking the intensity of a fire (in this case the equivalent time of the standard 
ISO-834 fire) to the probability of being within a certain damage state, can be seen in Figure 4 for each of 
the four response measures explored. For instance, for a fire intensity of the equivalent of 60 minutes of the 
standard fire you have, for spalling of a column, a 99% chance of being in at least damage state 1, a 96% 
chance of being in at least damage state 2, a 78% chance of being in at least damage state 3, and a 37% 
chance of being in at least damage state 4. 
 
Figure 4: Fragility curves corresponding to three damage states for (a) spalling, (b) deflection, (c) residual 
capacity and (d) pear rebar temperature constructed for slabs and columns.  
Using the quantified damage scale (Table 2) and the fragility curves (Figure 4), an analysis of a column 
exposed to a travelling fire will now be presented.  
3 TISOVA FIRE TEST 
The Tisova Fire Test was carried out in January of 2015 by a team lead by SP Technical Research Institute 
of Sweden and the University of Edinburgh. The fire test was conducted inside of a real building, Figure 5, 
which was scheduled for demolition. The building was an internal reinforced concrete frame and slab 
construction and thick load-bearing masonry walls around the perimeter constructed in 1958. In 1980 the 
buildings use was changed and additional floors were added using composite slab construction tied in to the 
original frame.  
The test compartment shown in Figure 6 was on the ground floor and the fire compartment had a total area 
of approximately 230m2 and was 4.4 m high from floor to slab soffit. The layout was generally open, with a 
series of large rooms enclosing one side as well as one corner. There was also a central lift shaft.  Four 
columns were fully within the fire compartment. The smallest 30 x 30 cm column (C1) indicated in Figure 
6 was chosen to be examined due to its slenderness and was therefore most likely to experience higher core 
temperatures and damage during the fire test.  
Ventilation was available by means of four windows on the south facing wall, two on the east facing wall, 
and one on the north facing wall. All windows were 2,4 m in height. Those on the south facing wall were 
2,4 m wide. The window on the North wall was 3,6 m wide. The windows in the East wall were 2,4 m 
wide. 
   
Figure 5: Left – Southwest corner of test building, and Right – fire compartment 
 
Figure 6: Fire compartment showing fire ignition point (FI) and path of travel (arrows), and column C1 and 
associated TC tree locations 
The size and layout in particular of the compartment meant that it was ideal for a fire test which could later 
allow a comparison with the travelling fires methodology developed by Stern-Gottfried & Rein [28] and 
improved upon by Rackauskaite in 2015 [29]. Travelling fires are an alternative to the “well-mixed reactor” 
assumption which is typically made for structural fire design when relying on, e.g. the standard 
temperature-time curve or a parametric temperature time curve, which results in a uniform temperature 
throughout a compartment. Observations of the behaviour of fires in real buildings such as the World Trade 
centre towers 1, 2 and 7 (2001) [30,31]; the Windsor tower in Madrid (2006) [32];  and the Faculty of 
Architecture building fire at TU Delft (2008) [33] indicate that fires move around floor plates, with an area 
burning which is dependent on the flame spread rate and the burning rate. Gales also identified travelling 
fire behaviour in a review of the St Lawrence Burns fire tests carried out in Canada in (1958) [34]. In 
summary, the travelling fires methodologies divide a large compartment into two distinct regions, a near 
field with localised burning and a far field with pre heating as a result of a developing hot gas layer and 
then a continued exposure to the hot gas layer after the travelling near field has passed. 
Although only 230 m2 in area, the test area was significantly larger than the majority of floor areas in fire 
tests reported in the literature, with the notable exceptions of: the 5th Cardington test (378 m2) [22]; Car 
Park Fire Tests conducted as part of an RFCS project in 2002 (512m2) [35]; and the CESARE fire test 
conducted by Victoria University in Melbourne, Australia, (320 m2) [36]. The layout of the compartment 
was also conducive to having a fire which would spread from the point of ignition, depending on the fire 
spread rate and the burning rate, and follow the fuel bed along a path which encircled the core of the 
building. The fuel was laid out as a uniform single fuel bed across the whole floor, apart from a 0.5 – 1 m 
path around the perimeter of the floor area. Fuel covered approximately 170 m2 of the floor area as shown 
in Figure 6. The approximate fuel load made of spruce timber was 40kg/m2 or 680MJ/m2. The fire was well 
 
C1 
N 
FI 
ventilated to ensure that fire was fuel load controlled and not controlled by ventilation, and the fire was 
ignited at location FI in Figure 6 using organic fuel soaked in lighter fuel within the crib. 
Fire temperatures within the compartment were recorded using 56 thermocouple (TC) trees incorporating 
Type-K Inconel sheathed thermocouples hung from the ceiling at approximately 2.5m spacing’s. Figure 6 
shows the four thermocouple trees within a 2.5m radius of the column C1, named NE, NW, SE, and SW 
TC trees, respectively. Each thermocouple tree had 6 thermocouples at heights below the soffit of the slab 
of: 5cm, 65cm, 140cm, 205cm, 260cm, and 370cm, respectively.  The top of the fuel bed was 
approximately 40cm off the floor. The SW and SE TC trees are shown in Figure 7: Section A-A.  
Column C1 was instrumented with a total of 12 thermocouples, 6 thermocouples positioned 1.5m above the 
floor and 6 thermocouples 3m above the floor, unfortunately the thermocouples 1.5m above the floor 
suffered from a failure early on in the test and all data was corrupted and will not be discussed any further 
in this paper. Figure 7: Section B-B shows the locations of the thermocouples at the 3m height of the 
column. Figure 7 shows four TCs which were placed 6 cm from each of the four faces, and two TCs which 
were placed 10 cm from the North and West faces.  Holes were drilled at an angle of 45° from above to 
mid-depth of the columns and TCs were then temporarily held in position and re-cast into the column using 
quick setting mortar. A plate thermometer (PT) was placed 10 cm from each of the North (N), East (E), 
South (S), and West (W) column faces with their centres at the same height from the floor as the 
thermocouple ends as an indication of the fire exposure to the column at the 3m height. 
4 RESULTS 
The fire was successfully ignited as planned however it soon became evident that fire spread rate was very 
slow with the flame length along the path (shown in Figure 2) of approximately 1 m with a flame height 
between 1.5 – 2 m. The resulting temperatures in the compartment, especially near the ceiling, were not 
high enough for a structurally challenging fire, i.e. well below 100oC. This was due to the overventilation 
of the compartment provided by the opening of all of the windows. To encourage fire growth during the 
test the ventilation was reduced and a 10 litre mixture of gasoline and diesel at a ratio of 1:1 was poured 
over the fuel bed along the southern perimeter 2.5 hrs into the test. This resulted in a more severe fire 
covering cribs in the west and south ends of the building. However, as the fire started to move north (Figure 
2), the intensity of the fire reduced and the fire spread further into the compartment slowed significantly. 
The reason for the poor severity of the fire was mainly due to the moisture content of the wood, which 
when controlled specimens were tested after the fire, showed a moisture content between 18-22% rather 
than 11%.  Higher moisture contents results in more energy being absorbed in the evaporation of water 
rather than into the fire environment, and reduces the rate of flame spread [37]  
 
Figure 7: Section A-A: TC tree thermocouple layout, and column TC and PT height, and Section B-B: 
Column cross-section showing TC and PT placement  
4.1 Thermocouple temperatures in region of column 
Figure 8 a) shows the recorded temperatures during the fire test at different depths below the soffit of the 
slab. The slow fire spread rate discussed earlier results in a period of preheating of the thermocouples 
around the column. The fire stays within the region of ignition for the first 2:30 hrs, and the thermocouples 
around the column are exposed to only far field heating, especially at the upper levels. The figures show a 
significant and rapid increase in temperatures recorded by all thermocouples adjacent to the column after 
2:30 hrs due to the addition of the gasoline / diesel mix to the fire compartment to encourage the growth of 
the fire.   
When the diesel / gasoline mix is added the fire moves rapidly across the area adjacent to the south facing 
windows. This could be seen as equivalent to the near field fire exposure, and is characteristic of a faster 
fire spread and burning rate. The ignition of the diesel / gasoline mix is evidenced by the ’spike’ which is 
seen in Figure 7 a). It can also be seen from Figure 8 a) that the temperatures nearer the ceiling (5cm, 
65cm, and 140cm) are fairly consistent across all four TC trees (NW, NE, SW, and SE). Maximum average 
temperatures experienced in the top 140cm of the fire compartment were in the region of 400-450oC. In 
contrast the temperatures further away from the ceiling were more varied but in general hotter than those 
near the ceiling, with average temperatures peaking at 500oC, 635oC, and 510oC, at 205cm, 260cm, and 
370cm from the ceiling, respectively. This is clearly shown in Figure 8 b) which shows the variation in 
temperature over the height of the compartment at 30 minute intervals, with the maximum temperatures, 
after the gasoline was added at 2:30 hrs, consistently observed within the lower half of the compartment for 
over two hours. This higher temperature lower down the column is a result of what is effectively a localised 
fire exposure in the well-ventilated compartment. 
As the fire consumed the majority of fuel in the region adjacent to the south facing windows, it also moved 
into the space to the north- east of the core, and again the thermocouples closer to the ceiling are exposed to 
higher temperatures, characteristic of the far field exposure once the near field has passed. 
4.2 Plate thermometer data 
The thermal boundary for the column at 3m above the floor was measured using four plate thermometers 
(PT) around the perimeter of the column (Figure 7: Section B-B). Figure 9 a) shows the recorded PT 
temperatures for the individual PTs and compares the average temperatures from the PTs to the average 
TC-140cm temperature data, showing a very good correlation between the two averages. Any future 
modelling of the heat transfer to the column can be confident of the thermal boundary present in the tests.  
 
Figure 8: a) Time-temperature curves at each of the 6 TC heights below the soffit of 5cm, 65cm, 140cm, 
205cm, 260cm, and 370cm; and b) variation in temperature over the height of the compartment at 30 
minute intervals 
4.3 Column temperature data 
As previously stated, unfortunately temperatures at 1.5m above the floor failed to be recorded, so 
comparisons of the heat transfer to the column from the more severe temperatures recorded within the 
lower half of the compartment to the cooler upper half cannot be made. However, Figure 9 b) shows the 
data recorded at 3m above the floor (1.4m below the ceiling), and shows an increase in structural 
temperatures at around 2:40 which increase relatively linearly until 4:30 at approximately 1oC/min. The 
very slow heating rate causes very similar temperatures to be observed within the cross-section.  
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Figure 9: a) Comparison of PT and TC tree recorded temperatures at 140cm below ceiling soffit; and b) 
Recorded temperatures within concrete column C1 
4.4 Material Testing 
There were two types of concrete present within the building; one as used for the original reinforced 
concrete construction; and the other as used for the composite slabs added in 1980. Cores, 100 mm in 
diameter, were taken from the elements taken in the building before the fire and were tested to ascertain 
their material properties. Cores were also taken after the fire to assess the mechanical damage to the 
concrete due to the heating – however due to a mis-communication a post-fire core of the concrete column 
examined here was unfortunately not taken. 
4.4.1 Thermal Conductivity 
The thermal conductivity of the concrete in the building was determined based on TPS measurements [38] 
of 100 mm diameter cores of the elements taken from the building. The TPS measurements were made up 
to 300 °C, and then extrapolated to 1000 °C. The thermal conductivity of the reinforced concrete column 
was approximately half way between the upper and lower limits. The specific relationship between 
conductivity and temperature for the reinforced concrete column is given in equation (2). 
𝜆 = 1.70 − 0.195 𝑇100 + 0.0085 𝑇100 1 1000 (2) 
4.4.2 Specific heat 
Specific heat of the concrete was measured using the TPS heat capacity module. This was found to be the 
same as the specific heat of dry concrete given in the Eurocode [9]. The moisture content of the concretes, 
determined through drying of a specimen at 105 °C for 24 hours was determined to be 1.15 % by weight. 
4.4.3 Mechanical properties  
The compressive strength of the concrete in the building was determined by cylinder tests based on 
additional cores taken from the building. The concrete used in the reinforced concrete column had a 
compressive strength of 32MPa. These measurements are based on only one series of tests and are only 
indicative of the strength of the concrete in the building. 
5 MODELLING AND ASSSESSMENT OF DAMAGE  
In designing a building or assessing a fire-damaged structure, unlike in the tests presented above, the exact 
time-temperature history of the fire is very unlikely to be known. For post fire assessments when the 
temperature-time history is not known, then a visual assessment of the element(s) can be used to provide 
some information about the condition of the specimen, for example colour changes can give an indication 
of the maximum temperatures observed. Using a general measure of intensity one can assess different fire 
scenarios, then these fire scenarios can be applied to the structure or element to quantify its response, from 
which, with a quantified damage state scale, it is possible to understand the damage to a structure or 
element.  
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5.1 Visual and mechanical post-fire assessment 
Using the visual descriptors of damage presented in Table 1 an assessment of the damage to the column 
was made. A visual inspection of the column showed no obvious signs of damage (i.e. no spalling & no out 
of straightness) apart from aesthetic smoke damage, this would mean that the column could be in either 
damage states, ds0 or ds1. 
5.2 Modelling assessment of the damage 
Three heights along the column were chosen to be investigated in this analysis; 1) 65cm below the soffit 
due to the time-temperature curve having the greatest total area under the fire curve at this height; 2) 140cm 
below the soffit due to the additional plate thermometer temperatures and the internal concrete 
temperatures that can be used to benchmark thermal modelling of the concrete column; and 3) 260cm 
below the soffit due to the highest recorded temperatures observed at this height. 
5.2.1 Assessment of the intensity  
Using the fragility curves presented in Figure 4 and a measure of the intensity of the fire, it is possible to 
estimate the damage state that the concrete column is in. To generate a measure of the intensity the 
recorded time-temperature histories at the three depths below the soffit are converted in to equivalent areas 
under the standard fire curve based on three levels of equivalency being assessed; the total area under the 
curves; the total area above 150oC [26]; and the total area under the curve above 400oC [14]. The 
equivalent area concept is shown in Figure 3, and the values of the equivalent time under the ISO-834 fire 
[39] are presented in Table 3. These equivalent fires are applied as the measure of intensity within the 
fragility curves (Figure 4) from which the likelihood of the column being in one of the damage states can 
be assessed by reading the probability associated with a given damage state at that intensity off the graph.  
For example, for spalling damage shown in Figure 4 a), the probability of the column being in Damage 
State 4 at an intensity of 60 minutes is around 40 %; the probability of the column being in Damage State 3 
is around 80 %; the probability of it being in Damage State 2 is ca.97 % and the probability of it being in 
Damage State 1 is almost 100 %. Table 3 shows for comparison the highest damage state, for each of the 
measures of damage, at the different intensities, for which the probability of the column being in that 
damage state is greater than 50 %. 
Table 3: Equivalent ISO exposures and expected damage states from fragility curves 
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65 82785 35374 1772 95 46 4 ds4 ds3 ds0 ds3 ds1 ds0 ds4 ds3 ds0 ds3 ds2 ds0 
140 64824 22849 146 77 32 0 ds4 ds2 ds0 ds3 ds1 ds0 ds3 ds2 ds0 ds3 ds2 ds0 
260 76529 39418 9083 89 51 15 ds4 ds3 ds0 ds3 ds1 ds0 ds4 ds2 ds0 ds3 ds2 ds0 
 
As can be seen from Table 3 there is great variance between the intensity measures depending on the 
method used to assess it, and this then translates into the expected damage state assessment. For instance, 
the residual capacity of the column using the total area under the curve equivalency expects the column to 
be in damage state 4, and therefore in need of replacement rather than repair. The same column using the 
area under the curve above 400oC expects the column to be in damage state 0 and therefore unaffected by 
the fire. This shows the importance of selecting the appropriate measure of intensity when conducting 
fragility analyses. 
5.2.2 Assessment of the response 
The above showed one method to assess the damage to an element if the intensity of the fire is known 
through the use of fragility curves, and if desired the quantified damage could be estimated through the use 
of the quantified damage state scale presented in Table 2.  Another method to assess the damage from the 
known fire is to determine the response of the concrete from the intensity and then assess the damage for a 
particular response measure. In this paper the thermal profile of the concrete will be modelled through 
ABAQUS, and then an estimation of the loss in concrete strength due to the maximum temperatures the 
cross-section experiences. 
Initially the concrete cross-section at 140cm below the slab soffit was modelled using ABAQUS, 
employing thermal boundary properties (εtot=0.7, ac=25 W/m2K) including the recorded temperature 
history, and concrete thermal properties mentioned previously. As can be seen in Figure 10, the modelled 
temperatures are in general slightly greater compared to the averaged recorded temperatures.  The average 
error over the 6 hours is -2.3oC and +8.6oC, with maximum absolute errors of 17oC and 25oC, for TC’s 2 & 
5 and TC’s 1, 3, 4, & 6 respectively. These relatively small errors are likely due to inaccuracies of retrofit 
placement of the thermocouples within the column and modelling a 3D environment in 2D. However, these 
errors are within expected levels experimental and modelling errors. 
  
Figure 10: a) quarter cross-section of column at 6hrs of heating; and b) comparison of modelled and 
recorded average temperatures within cross-section. 
Using the benchmarked thermal model, two subsequent thermal analyses assessed the thermal profile of the 
cross-section at the 65cm and 260cm depths below the soffit. The cross-section was also modelled to the 
three levels of equivalent times (see Table 3) under the ISO-834 time-temperature curve. The thermal 
response of the cross-section is compared in Figure 11 which shows the averaged maximum temperature at 
the centroid of the cells for each layer of cells at a perpendicular distance from the centroid (schematic 
shown for layer 1 in Figure 10 a)), determined using recorded thermocouple temperatures (Real) or 
equivalent durations of the ISO-834 fire using either the total area under the curve, area under the curve 
above 150oC, or area under the curve above 400oC. Figure 11 clearly shows that any of the equivalent area 
methods do not accurately predict the thermal gradients experienced within the concrete column when it is 
exposed to a travelling fire. 
From the thermal models, two assessments of the damage can be made; 1) the relative reduction in concrete 
strength and thus the residual capacity of the column, and 2) the peak rebar temperature. For the assessment 
of the residual capacity of the column a few assumptions have been made. Firstly, that the concrete is made 
of siliceous concrete, secondly that the steel rebar regains all of its strength after heating whilst the concrete 
regains none, and lastly that the reduction of concrete capacity can be determined by taking the weighted 
average of temperature dependent reduction factors for each layer of cells at a perpendicular distance from 
the centroid. It should be noted that some experimental campaigns and literature [40] show that the strength 
of concrete can further reduce after cooling but the degree of reduction is not clear. The Eurocodes [41] 
suggest a 10% additional decrease during cooling however it has been shown that this could be anywhere 
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between 0-25% [40] and therefore we have not included it in this analysis . For the assessment of peak 
rebar temperature, the assumption is that the steel rebar has a clear cover depth of 30mm due to lack of 
other pertinent data. The peak rebar temperatures and relative loss of capacity of the concrete and steel 
strengths during heating can be seen in Table 4.  
  
  
Figure 11: Maximum temperature profiles under real travelling fire, and equivalent times under the ISO-
834 fire curve 
Table 4: Averaged concrete and steel rebar strength reduction factors and peak rebar temperatures due to 
real and equivalent fire exposures 
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Table 5: Assessment of the damage state of the column at each depth below the soffit based on reduction 
factors and peak rebar temperatures presented in Table 4 
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Table 4 shows that the column loses 3%-10% of its capacity in the concrete under the real traveling fire 
scenario, with the maximum losses of capacity occurring at 260cm below the soffit. The loss in strength 
when the section is modelled using the total equivalent area under the fire curves is between 37% - 43%, 
whereas for equivalent areas above 150oC, losses in the concrete are between 18% - 28%. It is only when 
the equivalent areas above 400oC is used that we get close to what is modelled, in terms of strength loss for 
both the steel and the concrete, from the real travelling fire scenario. This shows the significance of both 
the area and maximum temperatures of the time-temperature history of the travelling fire when trying to 
create an equivalent time of exposure to the ISO-834 standard fire.  
The concrete strength reduction factors (used as a proxy for residual capacity of the column based on the 
assumption that the steel will regain its strength) and peak rebar temperature can be used to assess the 
damage state of the concrete column at the different depths below the soffit with careful comparison to the 
quantified damage scale presented in Table 2. The damage state for each of the four fire intensity measures 
for the two examined response measures are presented in Table 5. As there is some uncertainty within the 
quantified damage scale there are occasions where the calculated response could fall into one of several 
potential damage states, which has been signified in Table 5 with the use of plain text for the most likely 
damage state (i.e. ds0) and italicised text for possible but less likely (i.e. /ds1). It can be seen from Table 5 
that the predicted damage states using the equivalent areas of fire duration compare poorly with the damage 
states determined using the actual time temperature curve, however, there is consistency between the two 
response measures for the same level of intensity (i.e. >150oC, the residual capacity and peak rebar 
temperatures would put the column in damage state 3.) 
5.3 Comparison of damage analyses 
The damage states have been assessed using three different methods, 1) a visual assessment measuring the 
spalling and deflection of the concrete column; 2) from a heat transfer analysis using the real time-
temperature history, and equivalent time of exposure to the standard fire curve to assess the residual 
capacity and the peak rebar temperatures of the concrete column; and 3) using the equivalent times with 
fragility curves developed through expert judgments to assess the damage with respect to all four response 
measures. The visual assessment of the columns would see the column in damage state 0, i.e. no damage, 
while the real time-temperature analysis shows that the column is most likely to be in damage state 2, but 
with the possibility of being in damage state 1 or damage state 3, and thus in need of repair. When the time 
equivalence method was used to calculate the residual capacity and peak rebar temperatures, all three of the 
ISO equivalent area intensity measures compare poorly with the real time-temperature analysis, with both 
the total and >150oC placing the column in higher damage states, and the >400oC placing it in a lower 
damage state, than the real time-temperature analysis. This could be because the equivalent area method 
does not properly produce comparative fire intensities between those used in modelling and the observed 
time-temperature history of the compartment.  
When the equivalent times of fire exposure was used in conjunction with the fragility curves developed 
from an expert elicitation we find that the damage states determined from the total area under the curve are, 
reassuringly, similar to those found using heat transfer analysis and the quantified damage state table, for 
the residual capacity. However, when considering the peak rebar temperatures, the heat transfer analysis 
expects greater damage to occur to the column than the experts do in the elicitation exercise. A similar 
trend is also seen with the areas >150oC and the >400oC, with greater damage being determined through 
heat transfer analyses than from the expert elicitation. More experimental and computational analyses are 
required to determine and refine the differing methods to assess the fire damage to concrete columns under 
real fire conditions. 
6 CONCLUSIONS 
This paper has presented a quantified damage scale and accompanying fragility curves for reinforced 
concrete columns and slabs. Using these fragility curves and damage scales a damage analysis was 
presented considering a column exposed to a real travelling fire from the large scale Tisova Fire Test 
conducted in the Czech Republic in January 2015. From these analyses we can conclude that: 
1. A visual assessment of the column would indicate that there would be little to no damage, 
however, through the use of computational analysis and the application of quantified damage 
scales generated from expert judgements, the column would likely be in damage state 2 and would 
thus need some repairing.  
2. The well-known equivalent area method for fire intensity does not fully account for the 
temperature history of long duration travelling fires and therefore, when adopted in these analyses, 
poorly predicts the thermal profiles within the concrete, or the associated response measures of the 
column and thus poorly predicts the damage. 
3. The use of the equivalent area intensity measures with the fragility curves generated through 
expert judgement does show a good correlation to the modelling analysis when using the same 
equivalent area intensity measures, but again poorly predicts the damage when the real time-
temperature history is used in the modelling. 
4. The calculated strength loss of the concrete column varied between 3-10%, with the greatest 
occurring under a combination of high temperatures and large area under the fire curve, rather than 
just due to the latter. 
Further research is required to; a) appropriately define the intensity of fires, particularly for concrete 
elements and structures exposed to long duration fires, b) refine the fragility curves for reinforced concrete 
elements and structures, and c) to refine the quantified damage scale for concrete elements and structures. 
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